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INTRoduCTIoN
Background
The R300 regional road provides a link 
between two national highways, namely the 
N1 and the N2. The N1-R300, commonly 
referred to as the Stellenberg Interchange, 
incorporates two interchange bridges which 
cross the N1. The Stellenberg Interchange 
is located in the southwestern region of the 
Western Cape Province, approximately 27 km 
from Cape Town’s CBD. The N1 in this area 
is heavily congested during mor ning peak-
hour traffic flowing into Cape Town’s CBD, 
while the same applies for the return leg in 
the afternoon. According to TomTom, Cape 
Town is the most traffic-congested city in 
South Africa. Therefore, any damage to or 
collapse of one of the Stellenberg Interchange 
bridges would cause serious disruption to 
traffic flow to and from Cape Town’s CBD, 
with associated economic impacts of traffic 
having to use other available routes.
The structural design of the Stellenberg 
Interchange was completed in 1982, while 
construction was completed early in 1986. 
The bridge was designed based on the 
Planning Manual Part 3: Bridge Design 
Manual of 1977 of the Cape Provincial 
Administration Department (CPAD) of 
Roads. Seismic excitation was, however, not 
considered in the design, as this design code 
did not stipulate provisions for the effects of 
seismicity on bridges. Although the bridges 
were not designed for seismicity, it adhered 
to the provisions of the code at the time.
The CPAD code was superseded in 1981 
by the Technical Methods for Highways No 7, 
also known as TMH7 for the design of bridges 
and culverts in South Africa. TMH7 is based 
on Compléments au Code-Modèle CEB-FIP of 
1978. TMH7 differs significantly from CPAD 
in that it has clear guidelines for seismicity 
and the regions to which it should be applied. 
TMH7 clearly indicates that the interchange 
is located in a seismic-hazard region which 
is susceptible to a peak ground acceleration 
(PGA) of 0.1 g with a 10% probability of 
exceedance in a 100-year period, equating in 
a return period of 950 years. Although the 
seismic intensity is classified as moderate, 
infrastructure not designed for this level of 
seismicity could experience serious damage or 
collapse when subjected to this load effect.
The southwestern region of the Western 
Cape Province where the interchange is 
located is susceptible to natural seismicity 
(TMH7 1981; SANS 2011). The magnitude 
of the seismicity in this region is however 
uncertain, with the current bridge loading 
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moments are within 15% of its design capacity. For a 0.2 g magnitude earthquake, the design 
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code indicating a PGA of 0.1 g and a return 
period of 950 years (TMH7 1981). Current 
research estimates the region could be 
exposed to a PGA of up to 0.2 g with a return 
period of 475 years (Kijko et al 2003).
After close inspection it was noted 
that the interchange does not conform to 
modern-day recommended best practice for 
bridges located in seismic-prone areas. These 
factors include:
 ■ Monolithically cast columns-to-deck 
connections
 ■ In-plan curvature of the deck
 ■ Single columns to wide deck connections
 ■ Off-perpendicular abutment connections in 
terms of the longitudinal axis of the bridge.
In terms of general loading for which the 
bridge was designed, these design features and 
structural layouts are suitable and efficient 
solutions in non-seismic-prone regions. The 
bridge could, however, be susceptible to exces-
sive displacements and secondary stress effects 
during an earthquake, which was not consid-
ered at design stage. Therefore, the uncertainty 
with regard to the seismic magnitude and the 
infringement of modern-day recommended 
best practice for bridges in seismic-prone areas 
necessitated an exploratory investigation to 
determine whether the bridge can sustain a 
moderate intensity earthquake.
Bridge information
An aerial photograph of the bridge leading 
from the northbound N1 highway onto the 
R300 is shown in Figure 1.
The bridge is composed of a post-
tensioned continuous concrete box girder 
deck with a total length of 418 m, which is 
curved in-plan with an approximate radius of 
245 m. The box girder has a width of 11.2 m 
with a total depth of 1.85 m from soffit to 
road surface. The deck is supported by nine 
single columns and two pairs of double 
columns at positions C5 and C9, as shown in 
Figure 2. The spacing between the columns 
ranges between 27.5 m and 38 m. Columns 
C5, C6 and C7 are supported on pile group 
foundations while the remaining columns 
are supported on pad footings. Columns C4 
to C10 are monolithically cast into the bridge 
deck, while columns C2 and C12 support the 
deck via unidirectional plate bearings, allow-
ing movement in the longitudinal direction 
of the bridge. Columns C3 and C11 support 
the deck via fixed plate bearings that allow 
only rotational freedom. Two side-by-side 
unidirectional plate bearings support the 
bridge deck at abutments C1 and C13, allow-
ing additional movement in the longitudinal 
direction. The column lengths ranges from 
11.5 m to 26.5 m.
Seismic risk of the region
The southwestern region of the Western 
Cape, hereafter referred to as the Cape Town 
region, is susceptible to the highest levels 
Figure 1  Stellenberg Interchange
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of natural seismicity in South Africa 
(Visser & Kijko 2010). Several moderate 
intensity earthquakes occurred in this 
region. Visser and Kijko (2010) estimate an 
earthquake with a maximum magnitude 
between 6.0 and 6.87 with a return period of 
475 years could be expected in the Cape Town 
region. Figure 3 graphically illustrates how 
the earthquake magnitude increases with 
a corresponding return period which was 
developed for a region within a 200 km radius 
from Cape Town. A worst-case scenario of 
a 6.87 magnitude earthquake would cause 
a level IX shaking intensity on the Mercalli 
Magnitude Intensity (MMI) scale. As the 
PGA value of an earthquake is site-specific, 
converting the magnitude of an earthquake to 
a PGA value is not very suitable without the 
known location of the epicentre, the record-
ing location and the soil conditions. After 
evaluating the work of Kijko et al (2003), and 
Visser and Kijko (2010), a PGA of 0.2 g was 
established as appropriate for the worst-case 
earthquake with a 475 year return period in 
the Cape Town area.
Table 1 presents the estimated level of 
damage that could be experienced by build-
ing infrastructure in the Cape Town region 
as a result of a 6.87 magnitude earthquake 
(Visser & Kijko 2010). The three building 
categories represent approximately 70% of 
all urban structures in South Africa. The 
research shows that in the case of a seismic 
event of this magnitude, widespread damage 
could be experienced by infrastructure in 
this region.
METHodoLogy
This section describes the importance of 
developing an initial finite element (FE) 
model, how the experimental tests were 
conducted to obtain the natural frequencies 
with its corresponding mode shapes, the 
detailed FE model, as well as the selection of 
earthquake acceleration time histories.
development of initial finite 
element model
An initial FE model was developed using 
information from the ‘as built’ drawings to 
obtain the dynamic modal characteristics of 
the bridge. The modal behaviour of the initial 
FE model was reviewed to determine effective 
placement of accelerometers to capture the 
structure’s dynamic response. Without this 
information, measurement devices could be 
placed at points along the bridge deck which 
would deliver no functional data.
Ambient vibrational testing
The total closure of the bridge was not per-
mitted by the regulatory authority, the South 
African National Roads Agency SOC Limited 
(SANRAL), since it would cause severe 
disruptions to traffic on the N1, even dur-
ing non-peak hour traffic. It was therefore 
important to find an experimental approach 
to determine the dynamic response of the 
bridge when one of the dual carriage lanes 
remain open. The physical ambient vibra-
tional testing of the Stellenberg Interchange 
took into account the current state of the 
bridge, including all possible cracks and 
defects that had accumulated over time. 
Figure 3  Magnitude and return period of seismic activity for the Cape Town region  
(Visser & Kijko 2010)
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Table 1  Damage estimation of building infrastructure in the Cape Town region for a 6.87 magnitude 
earthquake (Visser & Kijko 2010)
Building type Expected damage Uncertainty
Unreinforced masonry with load-bearing wall, low rise 45% 30% – 61%
Reinforced concrete shear wall without moment-resisting frame, medium rise 20% 12% – 29%
Reinforced concrete shear wall without moment-resisting frame, high rise 27% 16% – 37%
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The bridge vibrations were recorded using 
accelerometers placed at a third spacing on 
each span. The accelerometer placement is 
presented by red indicators in Figure 2.
Seven tests were conducted over six of 
the twelve spans of the bridge. All tests 
conducted were performed at 20 minute 
time series recordings at a sampling rate 
of 1 024 Hz. The time series data was 
resampled with a 66.67% overlap and passed 
through a low-pass filter to narrow the 
data to a band between 0 Hz and 13 Hz. 
Enhanced frequency domain decomposition 
(EFFD) was used in the frequency domain, 
while stochastic subspace identification (SSI) 
was used in the time domain to produce the 
required modal parameters. Details regard-
ing these methods can be obtained from 
publications by Bricker & Anderson (2006), 
National Instruments (2009) and Solms 
(2015). Figure 4 shows the spectral decompo-
sition of the results obtained from the three 
recorded directions. The matching peaks of 
the data show the natural frequencies and 
are highlighted with vertical indication lines.
Table 2 shows the difference between 
the EFFD and SSI-UPC frequencies for 
the corresponding mode shapes. Although 
different methods are used to obtain the 
natural frequencies, the difference between 
the results of these methods is insignificant, 
indicating the accuracy of the experimental 
tests and the post-processing of the data. 
Figure 5 shows the experimental mode 
shapes with the natural frequencies using 
the SSI-UPC approach.
detailed finite element model 
development
The initial FE model’s complexity was 
increased to provide an accurate representa-
tion of the actual structure, while main-
taining computational efficiency. The initial 
FE model was modified using the experi-
mental data to develop the final calibrated 
FE model. This was obtained by implement-
ing appropriate refinements and adjusting 
appropriate para meters of the model. For 
a detailed description of the appropriate 
refinements on the para meters, the reader is 
referred to Solms (2015).
The experimental data enabled the calibra-
tion of the FE model, ensuring it produced 
accurate results. The final FE model was 
developed using SIMULA’s Abaqus version 
6.13 FE analysis software. Since this was an 
exploratory investigation, the emphasis was to 
obtain a computationally efficient FE model 
which could accurately predict the structural 
response of the bridge. Therefore quadratic 
interpolated shear-flexible B32 beam elements 
(Timoshenko) incorporating full integration 
was used to model the structural elements 
of the bridge. These elements, with six 
degrees of freedom (DOF) per node, provided 
accurate force and displacement information 
while remaining computationally efficient. 
Although accurate stresses in the reinforcing 
steel and concrete could not be obtained from 
the beam elements, the use of three-dimen-
sional solid elements to model the members in 
the global structure would be computationally 
expensive. The cross-sectional properties 
(area, moment of inertia and torsional 
moment of inertia) were calculated from the 
‘as-built’ drawings and applied to the specific 
beam elements.
To obtain more accurate material behav-
iour, composite material properties were 
calculated for the beam elements. Since the 
mass and stiffness are key parameters when 
considering the modal behaviour of the 
structure, it is essential that the equivalent 
properties are accurately determined. The 
composite material properties were calculat-
ed by incorporating the area of steel and con-
crete in each section. The area of steel per 
metre for each cross-section was determined, 
whereafter the equivalent areas, densities 
and elasticity moduli were determined. The 
base material properties were obtained from 
the recommended values in SANS 10100-1 
(SANS 2000).
Assumptions were made to effectively 
model the boundary conditions and element 
Table 2 Modal parameters from physical testing and finite element model
Mode
Physical modes (Hz) FE frequencies 
(Hz) Error (%) MACEFFD SSI-UPC
1 2.855 2.824 2.784 –1.413 0.979
2 3.041 3.046 3.049 0.106 0.943
3 3.383 3.451 3.401 –1.438 0.905
4 3.368 3.871 3.822 –1.265 0.950
5 9.990 10.03 9.703 –3.258 0.870
Figure 5  Modal comparison
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interactions of the bridge. All columns sup-
ported by pile groups and pad footings were 
modelled as fully fixed connections, thus 
fully restraining movement in all six degrees 
of freedom. The abutments (C1 and C13) on 
both ends connect to the deck via two side-
by-side unidirectional bearings. The optimal 
solution to model these connections was 
to fully restrain the connection and release 
the rotational degree of freedom about the 
longitudinal axis of the bridge. The column 
to deck connections for the C2, C3, C11 and 
C12 columns were modelled using pin con-
nections, thereby transferring all the trans-
lational degrees of freedom from one node 
to the other while releasing all rotational 
degrees of freedom.
Various model refinements and adjust-
ments were applied to the model to calibrate 
the FE model to the experimental data. The 
parameters on which a sensitivity analysis 
were performed together with its influence is 
presented in Table 3.
The model calibration was performed 
by comparing the experimental and FE 
mode shapes with the corresponding fre-
quencies. The five most prominent modes 
from the experimental data were used for 
comparison. For comparable model calibra-
tion, Magalhães et al (2008) suggest that 
the difference between the experimental 
and FE model frequencies be limited to 5%. 
Table 2 shows a comparison between the 
experimental and FE mode shapes with the 
corresponding natural frequencies. The 
largest error observed occurred at mode 
shape 5, which resulted in an error of 3.3%, 
indicating the accuracy of the FE model 
to predict a globally efficient and accurate 
model. Figure 5 shows the comparison 
between the experimental and FE model’s 
natural frequency and mode shapes for the 
first five modes.
It was also possible to extract the damp-
ing ratio from the experimental data, which 
was incorporated into the FE model. The 
complex interaction between all the elements 
that contribute to the damping of a large 
structure makes it impossible to calculate a 
theoretical damping ratio.
Earthquake simulations
The standard procedure when performing 
a time-history-based seismic analysis is 
to utilise the recorded ground motions of 
seven PGAs to determine the response of 
the structure. The selection of appropriate 
ground motions are based on the expected 
PGA, magnitude, distance and location of 
the epicentre, source mechanism and site soil 
conditions in the region. The time-histories 
are converted to spectral accelerations which 
are checked against the design response 
Table 3 Summary of FE model refinements
Refinement feature Implementation in initial model
Effect on modal 
behaviour
Retained in 
final model
Modelling of double columns Partial Significant Retained
Effective pile foundations None Insignificant Omitted
Modelling of pad footings None Insignificant Omitted
Bearing conditions Partial Moderate Retained
Composite material properties None Significant Retained
Figure 6(a)  Acceleration profile for P1524 north
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Figure 6(b)  Displacement profile for P1524 north
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Figure 6(c)  Acceleration profile for P1155 north
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spectra. If unavailable, these spectra should 
be developed for a range of soil conditions 
to evaluate the effect of potential amplifica-
tion of motion due to the soil. Due to the 
unknown soil parameters and the large 
discrepancies in the recommended appro-
priate PGA for this region, the number of 
simulations required to incorporate all of 
the unknown variables would be very large. 
To reduce the number of simulations, some 
deviations from the typical approach were 
made. This was achieved by applying two 
PGAs with similar intensities, but result-
ing in very different ground displacement 
profiles. The PGAs were selected to obtain a 
maximum and minimum ground displace-
ment for each of the acceleration versus 
time-histories considered, i.e. 0.05 g, 0.1 g, 
0.15 g and 0.2 g. This approach thus allows 
for a lower and upper force band for each 
magnitude PGA considered. Figures 6(a) and 
6(b) show the acceleration versus time-histo-
ry and the displacement versus time-history 
for the 0.05 g case resulting in a minimum 
displacement profile, while Figures 6(c) 
and 6(d) cover the same for the maximum 
displacement profile. This study employed 
the recorded data from the Chi-Chi earth-
quake, which occurred in central Taiwan in 
1999. The available comprehensive PGA and 
intensity ranges of the Chi-Chi earthquake 
governed the basis of this selection.
From Figures 6(b) and 6(d) we observe 
that the displacement profiles obtained 
from similar magnitude acceleration profiles 
yield significantly different maximum peak 
ground displacements. This would in turn 
lead to significant differences in the struc-
tural response of the structure. It was for 
this reason that the lower and upper-bound 
approach was used in this study. For ease of 
reference, the earthquakes which cause the 
smaller displacement profile will be referred 
to as the ‘minimum intensity earthquake’, 
while the earthquakes causing the larger 
displacement profile will be referred to as the 
‘maximum intensity profile’ for each PGA.
Three PGA datasets from the Chi-Chi 
earthquake represented the three cases 
considered for this study. The north–south 
and east–west acceleration time-histories 
were simultaneously applied to the column 
bases in both directions orthogonally to the 
vertical plane. These three acceleration cases 
are the following:
 ■ A low-magnitude earthquake with a PGA 
of approximately 0.05 g which would 
have a higher probability of occurrence 
– the PGAs resulting in maximum and 
minimum ground displacement profiles 
applied to the structure were obtained 
from stations P1155 and P1524.
 ■ An earthquake representing the recom-
mendation prescribed by the TMH7 
equating to a PGA of 0.1 g with a 10% 
probability of exceedance in a 100-year 
period – the PGAs resulting in maxi-
mum and minimum ground displace-
ment profiles applied to the structure 
were obtained from stations P1468 
and P1159.
 ■ An earthquake with a PGA of approxi-
mately 0.2 g which could occur in the 
region with a 10% probability of exceed-
ance in a 50-year period – this selection 
is based on the findings by Kijko et al 
(2003) and the SABS 0160 (SABS 1989). 
The PGAs resulting in maximum and 
minimum ground displacement profiles 
applied to the structure were obtained 
from stations P1453 and P1288.
The PGAs applied to the structure could be 
oriented in endless arrangements and con-
figurations. To limit the number of simula-
tions, a selection of certain orientations and 
configurations were investigated. Various 
sensitivity analyses were performed to estab-
lish appropriate orientations. The aim was to 
obtain a worst-case orientation and execute 
all simulations for this condition. The 
worst-case orientation was obtained with the 
north and east PGAs directed normally and 
tangentially to the curvature at mid-span of 
the bridge.
RESuLTS ANd dISCuSSIoNS
On completion of the simulations, the 
structural elements of the bridge that 
had indicated high forces were identified 
for closer inspection. An estimation of 
the capacity of each of these elements 
was determined and compared to the 
response from the FE model. Using these 
comparisons, an evaluation on the possibil-
ity of damage to each element could thus 
be concluded.
Once all the potential hazardous sec-
tions had been evaluated, a conclusion on 
the structural robustness when exposed to 
seismic excitation was made. The potential 
of damage or possible failure was evaluated 
for each magnitude earthquake applied to 
the FE model.
Various failure modes of the bridge were 
inspected to evaluate the possibility of dam-
age to the structural elements of the bridge. 
All column bases were evaluated in terms 
of their shear and moment capacities when 
subjected to the applied earthquakes. The 
bearing connections were also evaluated 
in terms of their horizontal force capacity 
to determine the possibility of unseating of 
the deck. These aspects were assessed for 
varying magnitude earthquakes with PGAs 
between 0.05 g and 0.2 g. Since beam ele-
ments cannot effectively simulate failure of 
the reinforced concrete sections, estimations 
on the section capacities were made.
As the design calculations were not avail-
able, the estimated design section capacities 
were calculated from the reinforcement 
drawings. The estimated column capacities 
were calculated using SANS 10100-1 (SANS 
2000), while the bearing capacities of the 
plate-bearing connections were obtained 
from the supplier.
To produce sensible histogram plots 
and comparable data for all the columns, 
the time-histories of the base shears and 
moments were reduced to a single value. 
Due to the occurrence of isolated individual 
peaks, the maximum value could be consid-
ered as an overestimation of the forces expe-
rienced by the structural elements, while the 
average would be an underestimation of the 
forces due to the oscillating nature of the 
seismic loading. The solution therefore was 
to determine an effective peak average force 
for each earthquake simulation, which was 
achieved using a peak-picking algorithm. 
Figure 7 presents the base shear time-history 
response of column C7 during the 0.1 g 
simulation, with the peak profile response, 
the average of the peak profile response, and 
the maximum and average of the base shear 
force response. The peak average values 
were used for comparative purposes with the 
codified capacities.
Figure 6(d)  Displacement profile for P1155 north
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Results and observations for 
the 0.05 g earthquakes
The 0.05 g earthquake responses produced 
results which are no cause for concern, as 
the responses are significantly below the 
estimated design capacities of the various 
sections. For this reason these results and 
discussions are therefore omitted.
Results and observations for 
the 0.1 g earthquakes
A magnitude of 0.1 g was selected as it 
conforms to the requirements provided in 
TMH7 for the region in which the inter-
change is located. The results and observa-
tions made are with respect to the shear 
forces and bending moments in the columns. 
Figure 8 presents the column base moments 
for the maximum, minimum and design 
capacities when subjected to an earthquake 
with an intensity of 0.1 g.
From Figure 8 it is observed that 
the base moment capacity of only one 
column base moment capacity, i.e. C8, 
is exceeded by 18%, and thus could 
Figure 8  Summary of base moments for all columns during the Chi-Chi 0.1 g earthquake
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Figure 7  Earthquake response example of column base shear force during the 0.1 g simulation
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experience significant damage. The base 
moments of columns C4, C9 and C10 are, 
however, within approximately 90% of 
its design capacity. Therefore, if column 
C8 attains its maximum design capacity, 
it would transfer the remaining force to 
the other columns and could result in 
columns C4, C9 and C10 also attaining 
its design  capacity. If this situation arises 
it could result in significant damage to 
these columns.
Figure 9 presents the column base shear 
forces for the maximum, minimum and 
design capacities when subjected to an earth-
quake with an intensity of 0.1 g.
From Figure 9 it is observed that the esti-
mated shear capacities of the columns were 
not exceeded during the 0.1 g earthquake 
simulations. The maximum peak base shear 
force only attains 42% of the worst-case 
column’s (C10) estimated shear capacity. 
The shear resistance capacity of the columns 
could, however, be reduced if the bend-
ing moment capacity is exceeded, thereby 
increasing the risk of damage to the column 
base. This would, however, have a very low 
probability of occurring for the 0.1 g case 
due to the high estimated shear capacities.
Results and observations for 
the 0.2 g earthquakes
Current research suggests that an earth-
quake with a PGA of up to 0.2 g, with 
Figure 9  Summary of base shear force for all columns during the Chi-Chi 0.1 g earthquake
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Figure 10  Summary of base moments for all columns during the Chi-Chi 0.2 g earthquake
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a return period of 475 years, could be 
expected in the region where the Stellenberg 
Interchange is located. This PGA of 0.2 g 
also correlates with the design PGA of the 
previous building infrastructure design 
code, SABS 0160 (SABS 1989). The results 
and observations made are with respect to 
the shear forces and bending moments in 
the columns. Figure 10 presents the column 
base moments for the maximum, minimum 
and design capacities when subjected to an 
earthquake with an intensity of 0.2 g.
The results shown indicate that the 
moment capacity of five columns (C4, C8, C9.1, 
C9.2 and C10) is significantly exceeded, while 
the moment capacity of two columns (C5.1 
and C5.2) is marginally exceeded. The bending 
moment capacity of the worst-case column 
(C8) was exceeded by 62% of the estimated col-
umn capacity during a third of the 90 seconds 
maximum intensity simulation, indicating a 
significant likelihood of severe damage, which 
could result in failure of the column.
The two pairs of double columns at C5 and 
C9 provide a large portion of the transverse 
stiffness of the structure. Therefore, damage 
to either of the double column pairings could 
potentially lead to the collapse of the bridge 
if severe damage occurs in the early stages 
of such a seismic event. This risk could be 
increased if the damage to the column bases 
significantly reduces the shear capacity.
The shear response of the column bases, 
however, did not indicate a high risk of dam-
age, even when subjected to the maximum 
intensity of the 0.2 g earthquake, as shown in 
Figure 11.
The study also investigated the horizontal 
force capacity of the bearing assemblies 
used throughout the structure. None of the 
bearings indicated cause for concern, as the 
maximum intensity of the 0.2 g earthquake 
only attained 75% of the bearings’ horizontal 
force capacity.
CoNCLuSIoNS
The following observations can be made 
for the various peak ground accelerations 
applied to the calibrated FE model:
0.05 g
For an earthquake with a lower return period 
than the current suggested design loading 
with a PGA of 0.05 g, the bridge should not 
experience any significant damage or failure 
since the worst-case column (C10) only expe-
riences a bending moment equating to 5.2% 
of the calculated capacity of the column.
0.1 g
For the PGA of 0.1 g suggested by current 
seismic SANS 10160-4 (SANS 2011) and 
bridge design codes (TMH7 1981), the bridge 
would be exposed to a low to moderate 
probability of damage. This damage should 
be localised to singular worst-case sections 
of the bridge, barring complete failure of the 
column does not transfer excessive addi-
tional load to remaining columns.
0.2 g
In terms of current research on seismicity 
in the area, suggesting an applicable PGA of 
0.2 g, the bridge would be exposed to a high 
probability of damage and even a risk collapse.
It should be noted that this study was an 
exploratory investigation into the seismic 
response of the Stellenberg Interchange. 
Further investigation is required to assess 
the specific level of damage the bridge would 
undergo during certain seismic events. To 
define this level of damage, a three-dimen-
sional solid element FE model utilising non-
linear materials properties would be required. 
Such a model would be able to predict the 
progressive failure of the bridge in terms of 
the structure’s performance when some of 
the sections are damaged, as well as highlight 
the load combinations and progressive loss in 
section capacity during a seismic event. It is 
also important to highlight the relative recent 
implementation of seismic design criteria in 
South Africa, and the average age of infra-
structure in the Cape Town region. This sug-
gests that wide-spread damage to buildings 
and other infrastructure in the Cape Town 
region would be probable if an equivalent 
0.2 g seismic event occurs in the region.
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